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Introduction

Dam break analysis has been an important topic of
research and development on fluid mechanics and hy
draulics for almost a century. Since the Ritter solution
[15] up to the work of Hunt [12], the topie still has
unexplored possibilities that come up as the research on
the topic goes on [6, 7, 10, Il, 13, 14]. The reason for the
actual renewed interest of research on this topic is that
the results of a dam break analysis are basic to any civil
protection strategy [1] concerning people living on the
area down-stream of the dam.

Due to the development of computer packages [1, 7,
10, 13] able to simulate the mechanics of the breach as
weil as the routing of the flood downstream of the
breached dam, the tools to simulate the breach and the
impact close and far away from the dam became
available. To simulate dam breaching, physical modelling
is not advisable due to the prohibitive cost when the

study is supposed to coyer a long river reach; so
mathematical modelling on computer is the standard
practice in this kind of analysis.

Public awareness of the dam safety problem as weil as
the loss of life following various catastrophic faiJures
such as Malpasset, Teton, etc., motivated government
and related public utilities to do something about the
problem.

The French power utility E.D.F. has done pioneering
work on the subject, analysing ail French dams. The
V.S. Senate with the Sam Safety Act provided the
momentum in the V.S. to analyse ail hazard impact
dams.

The difference between the V.S. and France is that in
the V.S., only the small dams have been analysed while
in France ail the dams have been considered. In Canada,
only the government owned Quebec power utility Hyd
ro-Québec, is doing systematic dam break analysis of its
schemes.

The following symbols are used in this paper : PMF probable maximum flood
q lateral inflow

A area Q discharge
A o storage area R hydraulic radius
h water elevation SI friction slope
Ke singular loss coefficient Se singular losses sIope
n manning's coefficient t time
9 acceleration of gravity x distance

Analyse d'une rupture de barrage sur une rivière aménagée

Une rzvzere complètement aménagée a tous les barrages nécessaires pour obtenir son plein potentiel
économique d'un point de vue optimal. Si on fait une analyse de rupture, tous les barrages doivent être
considérés. La rivière considérée dans cette étude a huit barrages et quatre affluents. Cette analyse nous
éclaire sur le comportement de la rivière dans un contexte de bris de barrage. La crue prend 28.5 h pour
se propager et sa durée près du maximum est d'une semaine. L'influence de la rugosité et l'état du lit de la
rivière ont été pris en compte. La volatilisation de barrages est instantanée,. cette hypothèse étant trop
sévère, elle est compensée par le fait qu'on ne tolère pas le déversement sur chaque barrage:
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Theory

The dam break phenomenon is essentially a transient
problem with two main aspects:

a) Simulation of the breach.
b) Routing of the resulting outflow in the valley

downstream from the dam.

The mathematical formulation of the problem is done
with the Saint-Venant equations in a one-dimensional
form. These equations' represent the conservation of
momentum and mass of the water ; they read as follows :

l5Q + o(Q2/A) + gA { oh + St + se} = 0 (1)
ot oX OX

oQ + o(A + A o) _ q = 0 (2)
OX ot

where: st = n21 Q 1 Q (friction losses) ,
2.2 A 2 R 413

Se = Ke~~~A)2 (singularlosses),

Q = discharge, A = area, t = time, x = longituginal
coordinate, 9 = acceleration of gravity, h = water ele
vation, q = lateral flow, A o = storage area,
n = Manning's coefficient and R = hydraulic radius,
Kt = singular loss coefficient.

These equations have no c10sed form solution on a
river of arbitrary shape, so numerical techniques are
used.

Various authors [1, 7, 10, 13] have obtained the
solution to the problem with different numerical
schemes.

The study presented here follows the approach de
scribed in reference [1] which means that internaI
singularities such as hydraulic jumps and joining rivers
are considered in the analysis as weil as supercritical and
subcritlcal slopes.

Statement of the problem

A harnessed and power developped river has in general
as many dams as are needed for the economic and
optimal development of ail its full potential to provide
energy or other side benefits such as irrigation or flood
mitigation.

The targets on a dam-break analysis are the populated
areas with risk of loss of Iife and any other strategic
installation like a nuclear power plant, a bridge, a dam
etc., that can be affected by the resulting flood.

The case presented below analyses a complete river
system with eight dams. The first dam upstream is of the
storage type containing 90 % of, the complexe active
storage ; the other dams just turbine the releases from
the storage dam and provide short term storage.

Once the populated zones and other sensitive areas
have been identified, a choice has to be made on which
one of the dams is going to be breached and how.

Depending on the position of the impact areas, as weil
as the dam function on the scheme, the choice will vary

from one river to another and each case must be
examined with a different rationale. For the case under
consideration, the impact areas are situated at the
downstream end of the river while 90 % of the water
volume is stored in the most upstream reservoir. Any
analysis that does not consider the most upstream dam in
this case will provide an unconservative picture of the
impact, making the whole exercice of limited value since
the results will reflect a downgraded impact as far as
severity and duration of the phenomena are concerned.

So here we come to the conclusion that multiple dam
break [1, 5] or cascade dam-break analysis is needed in
certain cases to evaluate the flood impact in a reasonable
manner.

Initial state and breach sequence

The state of the river system [2] as the simulation starts
must be defined in advance as weil as the input to the
system during the simulation process, i.e. upstream and
lateral inflows to the river.

The hydrology of the watershed must be known to see
if the storage of the reservoirs is able to withstand a
sizable hydrologic input with minor changes in water
levels. If this is not the case, an hydrologic input defined
in advance must be considered, it could be the PMF.

On the other hand, if a sizable hydrologic event is
accepted by the river system without major changes, this
implies that the storage is much greater than the water
volume of the hydrologic event. This event can be
neglected since this will be a small percentage of the
water volumes released during the simulation process [2].

The sequence of breach is the same as the location
sequence of the dams on the river proceeding in the
downstream direction.

For the study considered here [2], we assume complete
volatilization of the structure as the wave front reaches
the structure. This hypothesis could be unconservative
since it makes sense to think that overflowing of the
structure will take place before the final collapse, but
since the biggest discharges are behind the wave front,
the fact of breaking the structure as the front arrives
gives information about the individual effect of breaking
each structure in the vicinity of the dam on a short period
before a sizable amount of the flood produced [2] by the
upstream breached dams reaches the dam under con
sideration.

Figure 1 shows the study reach for the eight dams, the
abscissa is the axis of the river and the ordinate is the
elevation of the river bottom and its stage at the start of
simulation.

Description of the river system

This scheme has eight dams that are described on.table 1,
the most upstream dam is identified as number 1 which
contains 92 % of the water volume of the whole system.
The other dams are given by a number up to number 8 at
the downstream end. The location of each dam with
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1. River system configuration with tributaries location at the
beginning of the simulation.

Table 1. Dams and reservoirs parameters.

O. 1 MINUTES

THE SEA

57

Dam number StDra~e Reach storage Elevation Reservoir length Location of each dam Foot dam elevation
1D6m up to t.he dam in metres on kilometres w.r.t. dam number 1 in metres

106m3
(1) (2 ) (3) (4 ) (5) (6 ) (7)

1 8 567 8 567 405. 08 75 a 381.00

2 452 9 019 275.84 46 162.0 240.79

3 76 9 095 241.71 10 172.0 193.55

4 43 9 138 192.94 22 195.0 162.15

5 35 9 173 151.79 17 213. a 121. 92

6 108 9 281 102.60 46.5 328.8 85.65

7 13 9 294 75.60 13.0 343.4 64.31

8 30 9 324 35.50 11. 5 355.4 12.19

respect to the most upstream one is indicated on column
(6) of table 1.

The reach from dam number 1 up to dam number 8 is

388 km long, the posItion on the valley of points of
interest such as dams, tributaries, is given to better
qualify the site on figure 1.
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3. River state 49.7 min since the beginning of the simuiation.
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The data

The system is composed of the main reach of the river
and the four tributaries identified in figure 1 as a, b, c
and d.

The topography of the valley, the longitudinal profile
and the transversal sections have been taken from maps
to the 1 : 50000 scale.

The transversal data sections are given every kilometer
or closer if expansions or contractions exist. At each
dam, two transversal sections are given upstream and
downstream of the structure. Small modifications are
made at sharp variations of geometry to make the
variation more graduaI.

The main parameters of the dams are given on table 1
such as dam location, bottom elevation, dam stage,
storage and reservoir length.

Considering that the most upstream reservoir is 75 km
long, the total length of the main reach is 463 km.

Dam number 1, the most upstream dam, is located at
kilometer zero, which means that the start of the reach is
at kilometer - 75 and the end of the reach is at
kilometer 388.

The valley roughness is expressed by an Strickler
coefficient. The values have been chosen considering the
condition of the valley, populated area, forestation, etc.
Roughness values ranging from 20 to 35 have been
chosen, depending on the information obtained from the
maps.

Table 1 also shows the elevation of the different
reservoirs of the complex. The reservoirs are considered
horizontal and small dry bed reaches can exist depending
on the position on the reach of the reservoir tail with
respect to the preceeding reservoir.

A wet bed is assumed at the downstream end of the
reach where the main river joins the sea.

Procedure·

The simulation starts at the instant t = a with the total
instantaneous breaching of dam number 1 at kilometer
zero.

The computer code used for the simulation solves the
Saint-Venant equations by a finite differences explicit
method a Lax-Wendroff scheme (1) with a fixed
ÂX = 200 m and /i.t changing at every step to optimise
the computer time setting the time increment always
close to the Courant number stability limit.

The downstream boundary condition is the wave
front, since movement of the wave front starts at
kilometer zero, at the beginning of the simulation, the
active computing reach is not long, its length progressing
with the wave front movement.

The possible hydraulic jumps as weil as its motion are
considered in the simulation process.

Figure 1 shows the initial configuration of the valley
with the bottom profile and ail the reservoirs in place.
The simulation started 0.1 min ago and only dam number
1 has been breached. Since this time is very· short,
figure 1 gives the information concerning the initial state
of the river system before the dam break simulation

started. To identify the dams, table 1 gives on column (1)
and column (6) the number and the position of each
dam. In figure 1 dam number 1 is the most upstream one.

Figure 1 is self-explanatory. Nevertheless, we can say
that the vertical lines represent the dam structure, the
horizontal lines, water stages and the continuous lines
the thalweg of the river.

The horizontal lines between kilometers 360 and 400 is
the sea level assumed in the study.

The upstream boundary condition is given as a small
flow hydrograph to the most upstream reservoir.

The simulation progresses with time as the wave front
moves downstream, once the wave front reaches the
limits of the domain, the simulation stops unless another
boundary condition is provided.

The breach hypothesis is the volatilisation of each
structure as the wave front reaches it.

Analysis of results

The results of the study are given as discharge and water
stage at each site versus time of occurrence.

Figures 1 to 6 show the whole river stage at 0.1, 5.0,
49.7, 1380.1, 1447.0 and 1 710.0 min since the simu
lation started.

Observing these figures we can see the progression of
the wave front and its shape to sorne extent. The exact
position of the wave front on figures 1 to 6 is 150.0,
2000.0, 12700.0, 272 700.0, 282300.0 and 388000 m.

The time 1 710 min when the front reaches the kilome
ter 388 means the end of the study ; the first release of
water from dam number 1 takes 28.5 h to reach the sea.

The discharge at dam number 1 has a peak close to
24000 m3/s after one hour, further decreases to
20 000 m3/s in la h, than becomes almost stable for the
remaining simulation time.

The reservoir dam number one being relatively shal
low, 24 m in depth (table 1), and considering its breach
hydrograph, there is a controllimiting the discharge to a
representative value of 20000 m3/s. This effect could
have been foreseen considering the relatively small
depth (table 1, column 4) and narrow transversal section
of dam number 1.

Since the total storage of dam number 1 is 8 567
millions cubic meters, the mean hydrograph at the dam
site is a constant discharge of 20 000 m3/s. The reservoir
will sustain this discharge during 5 days. Considering the
28.5 h that the water takes to travel from dam number 1
to the end of the reach it is reasonable to assume that at
sorne moment during the five day period required to
empty reservoir number one, a steady discharge of
20000 m3/s will be established on the whole reach.

Figures 7 and 8 show the hydrograph at selected sites.
Each figure shows the discharge on 102 x m3/s versus
the simulation time in minutes. The time reference for ail
these hydrographs is the beginning of simulation at dam
number 1 t = O.

The time shown at the start of the rising limb of the
hydrograph is the time at which the wave front reaches
the site. If the site is a dam, this time coincides with its
total failure as indicated on the breach hypothesis.
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Due to the length of the time scale, only the short
period comprising the rise and fall of hydrograph is
shown on these figures.

Figure 7 has been already explained. It shows the
behaviour of dam number one with, sorne numerical
perturbations and the 24000 m3/s discharge with the
stabilisation around 20000 m3/s.

Figure 8 shows the hydrographs for the sites located
between kilometer 162 and 215.

The dam located at kilometer 172, dam number 3
shows the biggest discharge on the whole reach
120000 m3/s but decreases very fast, in less than 20 min.

For the sites located at kilometer 192 and 213, Le. the
dams numbers four and five, the hydrographs have two
peaks, one due to its own failure and the other one due
to the phase shift between the occurrence of the wave

front and the maximum discharge of the flood resulting
from the upstream breached dams.

Figure 8 also shows the hydrographs at the downstream
site of the reach. On this figure as well as on the other
figures commented above, the sharp rise hydrograph
represents either dam sites or locations very close to
dams. On this figure the phase shift between the arrivaI
of the wave front and the peak discharge of the flood is
more clear for the dam located at kilometer 355, the last
dam. We obtain an hydrograph with very small influence
of the upstream dams for the time considered in the
simulation. For the other dams of figure 8 ; the « sag »

curve pattern due to the upstream flood is clearly seen
but not to the full impact because the discharge does not
reach the 20000 m3/s value before the simulation ends,
that is supposed to be established on the whole reach.
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Figure 9 shows the mean velocity variation at the
chosen points.

In the lower part of the reach, the maximum discharge
value, around 20000 m 3/s, has not been attained before
the simulation ends. Since it would be very computer
time consuming to continue the simulation to bring the
20000 m 3/s to the end of reach where the most populated
areas are located, a second simulation [3] for the lower
part of the reach with an upstream constant discharge of
20000 m 3/s has been done. This study [3] gives the
maxima of discharge and elevation at the sea entrance
and neighboring cities providing the results needed to
delimitate the flood boundaries corresponding to the
impact of the multiple dam break on the whole river
system to its full extent.

Table 2 and figure lO(a) show the evolution of the
wave front, time of arrivai versus distance during the
simulation. Column (1) shows the kilometer sites con
sidered, column (2) gives the front velocity in meters per
second, columns (3) and (4) the elevation upstream and
downstream of the front respectively, column (5) the
front height in meters, column (6) the arrivai time of the
wave front in seconds and column (7) indicates whether
the bed is dry or wet.

Figure lO(b) shows the time of occurrence of the
maximum stage along the river, the discontinuities are
caused by the presence of hydraulic jumps that can move
up and down as the simulation goes on. The average
error due to the numerical scheme was of ± 1.0 % on the
water volume the model making the check automatically
to see what is the error introduced by the nU\llerical
scheme.

For the dry bed case, the front height is not defined
sin-ce a parabolic shape is assumed [16], from column (2)
of the front velocities ; we can correlate the low velocities
of the front with the dry bed and the high values with the
wet bed. For this study the front velocity over the dry
bed part of the reach varies typically between 1.67 and
3 mis while for the wet bed the values of the front
velocity are around 10 mis and over. All these values
depend on slope, roughness, etc.

Verification of results

Since the river has never carried 20000 m 3/s, full verifi
cation of river stages was not possible. Nevertheless by
the existing gaging stations it was possible to verify the
accuracy of the simulation _for much smaller discharges.

The gaging station at dam number 7 recorded
5048 m 3/s as the highest discharge. Verification of this
level with the value obtained by the simulation was
20 cm higher ; considering that the simulation gives the
rising stage and that the stage is lower for the same
discharge than on the falling limits of the hydrograph,
this could be considered a reasonable result.

So from here, we see that the simulated discharge will
be four-fold the biggest discharge ever recorded.

In order to verify the unsteady water profiles as well as
to have specific information on the dams backwater
curves when each structure is overtopped with the
20000 m 3/s discharge, the dam crest acting like a weir, a

standard back water program HEC-2 was used [3] to
obtain the stage upstream of each dam. Far away from
each dam, where the dam back water effect is negligible,
the results of the steady and unsteady simulation were
compared: the steady profiles were on the average
10 cm higher than the profiles of the unsteady simulation
for the same discharge.

General remarks and summary

The study described here concerns the eight dams
existing on a particular river as well as four tributaries.

The model used was of the explicit type [1, 5]. Existing
hydraulic jumps were considered as such. The relative
advantage of the explicit scheme to model the hydraulic
jumps with respect to an implicit [5] one is counterba
lanced by a much higher computer cost.

This study used the wave front as a mobile downstream
boundary condition and according to the chosen
hypothesis, each dam was supposed to fail as soon as the
wave front reaches the structure.

To this point sorne comments on the wave front
behaviour seems on line.

The great influence of the roughness on the front
velocity is an accepted fact [1, 8, 9, 12] whether the flow
takes place on a dry or wet bed.

Considering the influence of roughness on wave front
height, the consensus does not exist [12]. A clear
difference must be made between propagation on a dry
bed or a wet bed. For the dry bed case, it appears that
the increase in roughness increases the wave front height
[16] if the very steep parabolic profile could be almost
assimilated in sorne way to a front.

When we consider propagation of the wave front over
a wet bed, we have the shock equations to describe the
phenomena [1, 7] and contrary to the dry bed case sorne
authors [12] feel that the influence of the roughness is
negligible, on this study, the existence of the wave front
to define the downstream boundary condition is needed,
so when the front reaches reservoir of dam number
7 kilometer 279 of the reach, the front vanishes, i.e. the
front height becomes zero before reaching the dam to be
breached. The way to avoid this, was to increase
temporarily the roughness of the reservoir. Then, the
front height increased and the front was able to reach the
dam and break it, this allowing the simulation to
continue. So, from this it looked that channel roughness
increases in dam break analysis does increase the wave
front height.

Hunt [12] in a recent study concluded that the
roughness has no influence on the front height. His
conclusion is valid when a kinematic model is used but
when the full Saint-Venant equations are used [12] as
weil as analysing experimental data [8, 9], there is an
increasing phase shift between time of arrivai of the wave
front to a downstream location and the time of occur
rence of the peak discharge at the same location. This
phase shift which is zero at the site of the breached dam
(total and instantaneous failure had been assumed)
increases as one moves downstream. This phenomenon
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Table 2. Velocity and front height of the wave tip every 20 kilometers.

Front location Front velocity Upstream front ele- Downst ream front ele- Front e ight Arrival t ime Remarks
on kilometers in mis vation on met. res vat ion on metres on metres of the front

on seconds
(1) (2 ) 0) (4 ) (5 ) (6 ) (7)

0.0 0 405.08 381.00 24.80 0 St art of s imulat ion
20.0 3.09 - - - 4 882 Dry bed
40.0 2.88 - - - 12 599 Dry ben
60.0 2.10 - - - 21 299 Dry bed
80.0 1.67 - - - 35 679 Dry bed

100.0 1.81 - - - 44 389 Dry bed
120.0 9.47 276.19 275.84 0.35 52 749 Wet bed
140.0 9.29 276.06 275.84 0.22 54 859 Wet bed
160.0 12.25 276.04 275.82 0.22 56 849 Wet bed
180.0 13.99 199.07 192.94 6.13 58 078 Wet bed
200.0 10.52 - - - 59 512 Dry bed
220.0 2.79 - - - 63 395 Ory bed
240.0 2.83 - - - 69 439 Dry bed
260.0 2.28 - - - 77 407 Dry bed
280.0 2.26 - - - 85 679 Dry bed
300.0 6.14 102.74 102.60 0.14 90 271 Wet bed
320.0 10.11 102.68 102.60 0.08 93 052 Wet bed
340.0 4.56 75.62 75.60 0.02 96 236 Wet bed
360.0 8.83 - - - 98 940 Dry bed
380.0 6.81 1. 28 1.20 0.08 101 415 Wet bed
388.4 7.55 1.22 1.20 0.02 102 639 End of simulation

* On a dry bed the front height is not defined due to its parabolic shape.
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is not accounted for when the simulation is made with a
kinematic model, where front arrivai and maximum'
discharge coincide.

The effect of the roughness on the front height
reported above, is due to this phase shift. Since front
velocity decreases due to the roughness increase [1], the
effect of this roughness increase is very much felt on the
front which has lower discharges than its back which
brings the peak of the flood, so the roughness increase
has the effect of reducing the gap between time of front
arrivai and time of occurrence of the peak. Hence the
front discharge increases and so does the front height
with an increase in roughness.

The above comments and conclusions are valid only
for dam break floods.

Conclusion

To assess the eventual impact of the dam break flood on
the populated areas located at the downstream end of
the river, multiple dam break analysis is the only
approach since 90 % of the river storage is located in the
most upstream reservoir.

The most upstream dam that contains most of the
water volume has a natural control and its representative
discharge during the simulation is Iimited to 20000 m3/s
which means that there is enough water to sustain a 5 day
flood. Once this is known and the individual behaviour
of the other dams is assessed on the cascade breach
simulation, an evaluation of the dynamics of the whole
river system as far as dam break is concemed is obtained..

Since the effect of the whole upstream dams is the
20000 m3/s discharge, it was possible by a second study
[3] to define the flood maps in the lower part of the
reach.

In as much as it was possible, verification of state by
the existing data and with steady backwater computation
[4] was done. By numerical experimentation it was
observed [2] that the front height over a wet bed
increases with a roughness increase on dam flood waves.

The front velocity depends c1early on bed condition.
In general, dry bed gives much lower velocities.
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